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ABSTRACT
Industrial steel storage pallets racks represent one omtst economicakolutions for storing
goods and products when space is limited. This-veelbgnized convenience is however counter
balanced by a structural response that is generally complex to predict, especially under earthquakes.
The design procedures adopted worldsvdo not seem to take adequately into account for the key
features associated with these structures. From the engineering point of view, racks are designed as
momentresisting steel frames but of an unconventional type because they are characterized by an
extensive use of thiwalled coldformed members. Furthermore, the overall dynamic response is
often greatly affected by a naregligible deterioration of the joint behavior due to large excursions

in the plastic range, with the direct consequence tledbtd carrying capacity is reduced.

In this paper, the wektstablished notfinear timehistory (NLTH) method of analysis is combined

with the lowcycle fatigue (LCF) damage approach in order to 1) investigate the damage
distribution, 2) assess the resadlfiatigue life and 3) estimate the effective laairying capacity

after an earthquake. In particular, key open problems related to the seismic design of racks are
identified and the NLTHLCF procedure is introduced and discussed. Finally, attenticociséd

on a practical case study related to a meéiism doublyentry pallet rack. Reference is made to

two recent Italian earthquakes and twwdels have been adopted to reproduce the cyclic joint
behavior of beanto-column joints allowing for a directppraisal of its influence on the overall rack

response.

Keywords steel storage pallet racks, momeasisting frames, nofinear timehistory analysis
(NLTH), damage index, loweycle fatigue (LCF), residual life, effective load carrying
capacity.

1. INTRODUCTION
Thin-walled steel components formed from strips or coils by-collchg processes represent an
important and growing area for the steel construction industry [lb,2{ddition to applications for
civil engineering, their use has significanthcreasd for industrial storage applications, which is
due to their high strengifo-weight ratio Goods and products are frequently stored in steel racks,
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which can be distinguished [3] on the basis of the structural scheme and/or the picking modalities
warehousegcladding racky, drive-in anddrive-through racksystemsshuttle racksgravity racks

and adjustable selective storage pallet raclhich are the core of the present papére Typical
geometric layout of pallet rack&i¢. 1), whichinte f ol | owi ng are simply
appears to be similar to that of the more conventional-sentinuous framed systems employed in
civil and industrial steel construction. In particular, the vertical elements (uprights) are coupled in
thetramnsversal(crossaisle) direction Theyform a set of trussed (builip) columns (upright frame)
connected to each other in the longitudinal (desie) direction by pairs of pallet beams directly

supporting the stored units.
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Figure 1. Typical palletack configuration.

The cost of the rackis typically low, due to their extremely reduced weight; however, their design
is in general fairly complex, owing to the key features characterizing these structures. To this
purpose, it is worth mentioning that:
1 beamto-column connections are in many cases without site bolts or site weldBgdHét
beams have at their ends a shop welded connector (bracket) with tabs and/or hooks to be
accommodated in the perforation systems (special slots) regularly pitched tie
uprights. These connection types are necessary to allow for the quick and easy assembly of
the framed system as well as allowing for changes to the rack geometric layout during the



in-service life. However, they provide only a very limited degretataral stiffness in the
downtaisle direction [5];

1 thin-walled coldformed members are frequently used for uprights, pallet beams and
diagonal memberddcingg. Buckling phenomena governing the overall and local responses
[6,7] are quite difficult to predict, owing in part to the presence of the upright perforations,
which have a significant influence on the overall structural performance;

1 open crosssection memdrs are frequently used, which are characterized by the presence of
only one axis of symmetr@wing to the norcoincidence of the shear center and the eross
section centroid, as discussed in literaturel(§ the effective member behavior can be
capturedaccurately only by means of suitable finite element (FE) analysis packages offering
the warping of the crossection as an additional degree of freedom irbdemformulation
[11-13].

Despite the efforts made in previous research-1@§ which have rem&aably contributed to
increasing the statef-knowledge, there are several critical issues that need further investigation,
especially for racks in seismic zones. This paper presents the first results of a study on the
development of more refined designastigies. A procedure based on ilimear timehistory
(NLTH) analysis [17,18] combined with the lesycle fatigug(LCF) approach [19,20] is introduced

and applied to rack design. In particular, by adopting suitable constitutive joint laws, able to
reprodue the experimental cyclic behavior, the damage of the components associated with each
integration step can be directly assessed. This then allows for the evaluation of the total
accumulated damage, the residual life and the rack perforrpasttbe earthgake. Furthermore, a

case study related to a meduise storage rack is discussed in detail to better explain the key
features of the proposed NLFTECF procedure. At the same time, the direct influence of the cyclic

joint modelling on the effective rackddcarrying capacity after earthquake is shown

2. KEY FEATURES OF RACK DESIGN IN SEISMIC ZONES
Remarkable differences can be observed if the more conventional steel framed buildings and the
industrial systems are compared to each other. In particularwibrih focusing attention on the
following items:
1 the deaeo-live load ratia In buildings, live loads are always comparable with the dead
loads while in racks, the weight of the structure is very limited, generally not greater than
5% of the total weighof the stored pallet units. The condition of fully loaded racks
generally governs both static and seismic design. As a consequence, owing to the influence
of the applied masses on the dynamic response of such flexible frames, rack performance in

seismic pnes is strictly dependent on the weight of the pallet units;
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the joint behaviorEvery type ofbeamto-columnrack joint is characterized by a response
[4,14] that has to be experimentally evaluated by the manufacturers in order to obtain the
data on whib base the structural design [2Bs an example, reference can be made to
figure 2, where the joint behavior is expressed by means of the monotonic relationship
between the momenb| corresponding to the bracket of the connection (i.e. at the face of
the upright) and the relative rotatio} between the upright and the pallet beam end. The
figure depicts the experimental responses associated with three nominally equal specimens
tested under hogging moments, according to the European design provisistagi¢arack

design p2,23.
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Figure 2. Definition of the momendtation curve for a typcal beato-column rack joint

the crosssection classin racks, membergenerally belong to classes 3 or 4aiccordance

with the EC3 classification criteria [24] because of the presence of opewdhad cross
section and/or regular perforation systervkeember response igmited by the code to
remainalways in the elastic rangbgcause these members canndeein plastic range
producinga stable hysteretic behavior in terms of moremtvature relationshifand thus,

no energy dissipation)

the dynamic responsén general, joints provida limited degree ofotationalstiffness and
modestflexural resistance when compared with the flexural strength and stiffness of pallet
beams. As a consequendee high flexibility of racks to lateral loads results in high values
of the fundamental period of vibrationsyJ;Tup to 34 s, that are typically obsergdor high

rise and tall steel buildings. Furthermore, unlike in conventional buildings, the checks
associated with the lateral displacements under earthquakes can often be neglected owing to
the absence of nestructural elements that might be damagesl fartitions and cladding
panels) by the lateral displacement induced by ground motions.



As far as seismic design is concerned, it appears that racks behave like wesiséing frames

where only beanrto-column joints and bagelate connections are abte provide satisfactory
behavior in the postlastic range. In Europe, as well as in other countries, reference is made to the
FEM 10.2.08 recommendations [25] and to the prEN16681 provisions [26] which, after the public
inquiry phase, are now in the pexs of being approved as EN standards. Both of them derive
strictly from the provisions governing the design of the more conventional steel frames, despite the
aforementioned noenegligible peculiarities of racks. In more detail, different methods of sisaly

can be adopted in seismic zones [27] and the methods most commonly used by rack designers are
the lateral force method of analysis (LFMA) and modal response spectrum analysis (MRSA). A
common open problem is the value of the behawy9rfactor, thatis the number scaling the elastic
response spectrum (ES) to the design spectrum (DS). Both spectra are shown in figure 3 in terms of
relationship between thgeak groundacceleratiorag normalized by the acceleration due to gravity

(g) versus the period.
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Figure 3. Typical elasticesponse spectrum according to EC8 [28].

European rack provisions do not give rules to asgbss they clearly state that it cannot be greater

than 2 for nordissipative structural behavior and rack designers generally assume =2, which is the
most favorable value permitted. This approach neglects all the various factors influencing the
seismic reponse, such as the geometric layout, the performance of the rack components (members
and joints) and the value of the pallet unit
and/or noroptimal design. So, what is the most appropriate vafitbeobehavior factor to adopt
according to LFMA and/or MRSA seismic design approaches? In accordance with seismic steel
provisions, one of the following threevglues should be permitted: 1, 1.5 or 2, each of them fully
consistent with the standard reguments. Unity could be conservatively assumed because uprights
and pallet beams, as previously mentioned, are in class 3 or 4, i.e. they are not able to dissipate
energy through hysteretic behavior. This value is also justified by the very limited gapfaitie
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joints to dissipate energy and by the presence of slender elements resisting both compression and
tension forcegfor example the lacings of the upright frames) for which no reduction of the elastic
spectrum is permitted [29]. Furthermore, g=MWhjch is the lowest limit value recommended by
EC8 [28], could at least seem reasonable for racks. This is betegiga strengths are based on the
characteristic material properties, which are typically 5% fractal values, and are used in
combination with both component test results [21] and material strength reduction factors.
Moreover, g=1.5 should represent a simplified way of acknowledging that there is some level of
conservatism in the equations used to predict component resistance. Frlbguldbe assumed
because it is, as already mentioned, the upper limit permitted by the European rack provisions
[25,26] for low ductile behavior. It is worth mentioning that, from a practical point of view, the
assumption of g=2 instead of q=1.5 (or equivaleqtl.5 instead of g=1) should lead to significant
differences (up to two times) in the value of the seismic load carrying capacity.

Furthermore, despite the relevant research efforts to improve the rules for routine rack design,
several additional critidassues need further investigation. Findings of suefestigationsshould

be urgently included in the guidelines and/or provisions for manufacturing engineers. Among them,
it is worth mentioning the influence of the cyclic joint response on the overiming rack
behavior. In particulara very unstable behavior of bedmcolumn joints has been experimentally
observed [3683] when reversing moments are applied, as occurs during earthgoakesample,
reference can be made to figure 4, which is eeldb an experimental study [33] on two types of
beamto-column joints (named as-Aand Btype), produced by two Italian rack manufactures and

differing in terms of the geometric details (hooks and slots) of the connection device.
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Figure 4.Examples of cyclic momerdtation curves for beafto-column rack joints [3].

The momentotation cyclic curves are depicted for some selected cycles and the joint mbijent (
is presented in a nedimensional form #) by dividing it by the pallet beam flexural resistance

(Mrd,py, i.6. M=M; /Mg, .- It can be noted that the first cycle is always quite stable and regular. It

is therefore qualitatively similar to the behaviour associated with more conventional steel frames
joints [34]. In the subsequent cycles, a progressive and regular deteriavhttbe rotational
stiffness and flexural strength can be noted. This is due to the increase of the amplitude of the zone
that is influenced byhe yielding of the outermost hooks in a progressive sequence towards the
neutral axis of the pallet beafhe ewelope of the cyclic joint response is quite coincident with the
monotonic curve but the form of the hysteresis loop changes signifiedtehthe first cycle,due

to thestronginfluence of the residual deformations of the connection devices. In thetasnt A,

the momeritrotation curve is characterised by loops in which the stiffness of the reloading branches
decreases progressively with the evolution of the test, hence resulting imagigible pinching.
Otherwise, for joint B, cycles subseaquédo the first have an initial branch with essentially zero
stiffness (slippage). The extent of slippage increases with progressive cycles and is followed by a
reloading stiffness (after slippage) that is practically cons&litpage, pinching and theduction

of stiffness and strength are expected to reflect on the overall rack performance after an earthquake.
In particular, the first phenomenon significantly affects the amplitude of the total (sway) frame
design imperfections, being them associateith wiconventional outf-plumb design angle of the
upright (in general, equal to @rad approximately) and with the looseness of baamolumn

joints determined via a specific test on beameconnectors. Furthermore, the remaining
phenomena could lead two different effects. First, the increase of the flexibility to lateral loads
increases significantly the sensitivity of the rack to seamd@r effects, reducing thieuckling

critical load and at the same time increasing the fundamental period afimibrSecond, the

reduction of the joint performance increases the sagging moments and the deflections of the pallet
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beams under gravity loads, with a possible decrease of their load carrying capacity. Benefits could
however be observed in terms of a retthn of the dowraisle bending moments on the uprights.
Furthermore, practical guidelines should be proposed for rack manufacturing engineers to solve two
critical questions affecting the safeservice use of racks, such as:
1 couldplasticity in jointsbe neglected oa reliable evaluation of the performance of racks?
When seismic excitations cause plasticity in the joints due to the appliedatewersents,
failure and/or relevant accumulated damages due teclmle fatigue may occugs already
extersively observed in the components of the more conventional steel framed buildings.
Furthermore, an accurate appraisal of the residual life of the joints should be necessarily for
the safe use of the rack during the entirsenvice life (a few decades);
1 how to appraise the actual rack performance after the earthquakestready mentioned, a
critical aspect of the seismic design is the definition of the load carrying capacity, strictly
depending on the aforementioned factors. After each of the earthquaiodscould occur
during the entire rack life, plastic deformation of joints could be associated with a reduction
in stiffness and/or strength. Thus there is the need to assess the effectiearihogtake
rack performance, which could be significantlifelient from that of the undamaged rack.
Both the LFMA and MRSA approaches are based on structural analyses requiring the knowledge
only of the monotonidM- F joint response (figure 4). As a consequence, they suffer from the
considerable defect of negledithe stiffness and strength degradation (figure 2) characterizing the
response of rack joints under earthquake excitations. From the practical point of view, a reduction
of the overall rack performance is hence expected. Furthermore, the number ofoescirshe
plastic range and/or the values of the associated rotations never enter into the design approaches
currently adopted, which assume an unlimited fatigue resistance. The same critical issues affect also
the nonlinear static pushover analysis (NSRlesign method in which lateral forces applied to the
system are increased monotonically, i.e. once again neglecting the actual cyclic joint behavior.
From the design point of view, pallet racks behave like momesigting frames where inelastic
behavio can be observed only in the joints. As a consequence, the LFMA, MRSA and NSPA
design approaches do not seem reliable for practical design purposes when applied #nracks.
efficient design procedure should assess and monitor, at least, the followifeategs, which in
the authorsé opinion are of par amo-senmite usemafp or t
racks:

1 the accumulated damage in each critical component @eaawmumn joints and/or base

plate connections);

1 the effective rotational gtness and/or the moment resistance of joints;



1 the actual load carrying capacity after one or more earthquakes.
As confirmed in the following by the proposed case study, these items, which are currently always
neglected in routine design procedures, caudaificantly affect the safe iservice use of the rack
as well as more conventional steel frames made byollet profiles.

3. THE PROPOSED NLTH-LCF DESIGN PROCEDURE
An open problem affecting colidrmed storage rack design is represented by the dpeigedure
to adopt for the member verification checks, independently of the loading type (seismic or static).
This topic, which is beyond the scope of the present paper, has already been discussed in [35]
showing that the approaches currently proposedurggean rack provisions [22,23] could lead to
different assessments of rack performance. If attention is focused on the ultimate lig)itdtete
are the ones generally governing rack design, a promising European approach ixdhedso
General Method[36,37, which is able to provide results that are fully consistent with those
obtained via the US rack design procedured 3 and for this reason seems to be the more
reliable. In particular, on the basis of the generalized set of internal fthheesfety of the whole
rack is guaranteed when:

sl=—%__¢1 (1)

Co pa ult. k

whereauk is the minimum load multiplier based on the resistance of the members andggirgs,
the buckling reduction factor (in reference to the overall structural sysgens)the material safety

factor and Sl represents the value of the safety index.

In particular, in the case of a beammlumn subject to axial forcegyand bending moments along
the principal direction Ned and Meq, the ultimate load multiplier for member resistanggx,mis

the minimum of all the key rack components and it can be appraised as:

a Q
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whereAet, is the effective crossection area an®ksy and Werz are the effective section moduli,
along the principal directions§ is the yield strength anglo is the safety coefficient

Furthermore, indicating witM; eq andM;ra the design bending moment acting on the more stressed
joint and its flexural resistance, respectively, the associated minimum joint ultimate load multiplier

aultk,j IS expressed as:
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It is worth mentioning that, in case of NLTH analysis, this method can be applied by excluding

wheregu: is the safety coefficient.

joints from the verification checks, with their nbnear behavior directly taken into account in the
structural analyses.
Serviceability limit states shouldbgern mainly the monotonic design and have to be referred to the
pallet beams, requiring, in general, checks on both deflection and twist angle. Owing to the need to
reduce the number of parameters affecting research outcomes, attention is hereindiolgusad
components having two axes of symmetry and hence the condition governing design, which is
associated with the vertical displacements, can be expressed as:

aos ¢ a (3)
where ¢bg is the maximum beam deflection whilg is the maximum admitted serviceability
displacement depending on the rack class [40].
As far as seismic design is concerned, on the basis of the previous remarks, it appears that the only
approach adequate for designing Bafnd optimally racks remairthe one based on ndimear
time-history (NLTH) analyses [18,27], suitably improved, to account fordgule fatigue (LCF)
effects and for the reduction of structural performance, if releWdote in detail, as already
discussed in literature with referee to the more conventional steel componenis,dbnvenient to
makereference tohe fatigue failure prediction function via theNSline approach for higleycle
fatigue [41,42], thahas alreadybeenextensively validated for lowycle fatigue [19]. A can be
observed in figure 5, the transition between the safe and unsafe zones can be expressed by the well

established Wholerds theory [43] as:

NS" =K (4a)
or, equivalently, in the lotpg domain:
log(N) + mlog(S) =log(K) (4b)

whereN is the number of cycles to failure at the constant stress (strain) $amghm identifies the

slope of the lingdistinguishing safe and unsafe regidnsa loglog scale.
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Figure 5. Fatigue resistance line in log{®p(N) space.

In this research,reference is made to the Bernuzzi et al. [20] proposal for components of
conventional steel frames and, in particular, owing to the role of paramount importance played by
joints in racks, it has been assumed that the parameter S is equald@althetation rangéF and
m=3. Consequently Eq. (4) can beweitten in the form:
N(D B® = K (5a)

or, equivalently:

log(N) +3log(D B =log(K ) (5b)
where Kacyis a constant depending on both joint details and material prop@itisscriterion only
allows for the evaluation of the fatigue failure of the component of interest when it is subjected to
constant amplitude loading history. In the case of variable amplitude loads, insté¥d ani
effective equivalent rotation range vaJuFeq has to be adopted, which is related to the constant
loading history characterized by the same number of cyn)egl4] leading to the same damage.

The termDFeqis defined as:

el.t ¢
D Feq = é_a D |:|3u (6)
en iz u

whereDF; is the total rotation range of each cycle of the variable amplitude loading history.

As to the cycle counting methods, i.e. the approaches to evéalaaiereference can be made to the

rainflow procedure which is recommended by the European fatiguendesilg [44].

Furthermore, it should be of great interest for design purposes to measure the damage associated

with each earthquake and/or with a set of subsequent seismic events.-dleelsb e d Mi ner €

[45] could be conveniently applied also to rackngmnents, making reference to the damage index

D, which ranges from 0 (no damage) to 1 (failure for LCF), expressed as:
5h dF,;

< ™
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As already mentioned, attention is herein focused on the NLTH analysis based approach and hence
a set d appropriate accelerograms has to be selected according to the requirements of the seismic
design provisions. For each accelerogram, after the modelling phase of the rack defining the
geometric and mechanical properties of all the key components, thespdogprocedure is
comprised of the following steps:
I.  execution of the nofinear time history analyses by considering both geometrical and
mechanical nottinearities;

[l.  accurate analysis of the output data, evaluating the value of the safety index of each member
via the selecteddesign approach and the accumulated damage for each joint via the LCF
design approach;

[ll.  appraisal at the end of theNLTH analysis of the eventuadeterioration of the joint
behavioral parameters and assessment of the static dbearrying capacity of the rackn
fact, it could happen that rack is able to resist to earthquake but the seismic load does not
fulfill the static verification checksasried out with the deteriorated joints.
Figure 6 presents the floshart of the combined design procedure for which the structural checks
are executed via the General Method. In particular, after the selection of a suitable accelerogram,
the starting poinis the definition of a tentative seismic design 10Ageis which is usually
expressed as a uniformly distributed load on pallet beams. Assuming that the earthquake takes a
period oftmax Seconds, which has to be divided into a suitable number of the integrationBijeps (
After the NLTH the safety index of each memb&iY and theaccumulated damage of each joint
(D) areevaluated, checking théheydo not exceed the unity. If unity éxceeded theWseishas to
be suitably reduced and the analysis repeated. Otherwise if &l D checks are fulfilled (i.e.
they are never greater than unity), the rack is able to resist to the earthquake with the considered

seismic design load.
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Figure 6. Flowchart of the procedure.

It is worth noting that live loads (those associated with the masses of the stored units) have to be
amplified by the factogr according to the EN15512 [22], which assumes a value of 1.4 in the case

of static desigrand 1.0 if seismic action is considered. From a practical point of view, once the
value of the design load is defined, it is necessary to check, feibmicload can be supported

after the earthquake during the entiresarvice life. From a practicabint of view, if an earthquake
weakens the joints then an evaluation under static load is necessary, with the performance updated

to consider theipdatedstrength and stiffness of the joints.

4. APPLICATION OF THE NLTH -LCF PROCEDURE

The combined NLTHLCF design procedure discussed previously does not require advanced
analysis tools because it can be applied using commercial Fihean analysis packages currently
available in engineering offices.

4.1 The case study

For a deeper umstanding of the potential of the proposed method, a-stadg example is
consideredThe casestudy is asix-bay fourstory mediurarise doubleentry pallet rack. The main
details of the rack are sketched in figure 7, where the -sexdson geometry ofiprights, pallet
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beams and lacings are report&ekference is herein made to racks constructed with uprights that
have two axes of symmetry; however, the procedure is independent of the geometry of the
components and hence is also valid for racks with ardingle axis of symmetry, as well as for the
more conventional steel frames comprised of-robed members. All the components have
rectangular or square hollow cressctions and belong to class 3 according to the EC3
classification criteria [24]. Téresulting class isdue to the presence of intermediate stiffeners,
which significantly reduce the influence of local buckling phenomena. Steel grades ardd® 355
the uprights and S 235 for pallet beams and lacings, according to the EN 10025 provigions [4
Storage levels have a constant irgtry height of 2.02 m ( which puts the upper most storage level

at a height of 8.0 m) and a bay length of 2.7 m. The width of the upright frame is 1.10 m.

!

2
- 88 -
pallet beam

]

150

lacing

35

Figure 7. Detail of the considered rack with tih@nsversal crossection(dimensions are in
millimeter).

Owing to the need to limit the number of variables affecting research outcomespldiase
connections have been assumed to be perfectly fixed to the industrial floors supporting the rack.
Furthernore, bearrto-column joints have been modeled by means of rotational springs, whose
monotonic momentotation (MF) constitutive law is presented in figure 8. In particular,
accordingly to experimental studies [4], a different response has been consmlesayding
(positive) and hogging (negative) bending moments. In both cases, alinaalti relationship,
comprised of softening branches, has been assumed. This is described in the table associated with

figure, expressing the key points {JM«) and the rtational stiffness (g of the linear branches. As
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occurs in normal rack practice, the joints exhibit superior behavior for hogging moment, which is a

result of racks being generally designed for static loads.

point | M[kNm] | F[mrad] | S{kNm/rad]
3" -1.8 -40.1 130
2" -3.0 -30.9 10
1* -2.8 9.1 300
1 0.9 6.0 150
2 1.2 18.8 25
3 0.5 40.0 30

Figure 8. The considered moménotation relationship for the beaito-column joints.

At first, the load carrying capacity under static loads has begaluated. As to the ultimate limit

state (SLU), the General Method has been iteratively applied. Design is governed by the resistance
of the pallet beams and 3= 4.60N/mmrepresents the maximum design value of the uniformly
distributed load on each petl beam corresponding to a nominal design mass sustained by each
upright frame that is equal to approximat&§000 kg Wsr satisfy alsoSLS checks in fact the

pallet beam deflection is always lower than the design limit, which is taken as 13.5mm
(corresponding to 1/200 of theeamlength)

As already discussed, the monotonic joint curve is usually adopted for seismic design according to
the LFMA, MRSA and NSPA approaches, all of them neglecting the actual joint response under
reverse cyclic moments. Witthe scope of the present study being a general appraisal of the
benefits associated with the NLTECF approach, two cyclic joints models, differing in terms of

the deterioration of the rotational stiffness, have been considered. Both joint models are
chaacterized by the possibility to account for the reduction of the flexural strength due to the
presence of softening branches in thé&-Murve. In particular, it is worth pointing out that:

1 the first model, that is identified as EPK, reproduces an epgastic constitutive law with
kinematic strairhardening. As shown in figure 9a), unloading and reloading phases are
governed by the monotonic response and hence the form of the cycle appears stable with a
more than satisfactory energy absorption capablfitihe joint response is in the softening
phase, the associated value of the bending moment immediately before unloading represents
the new limit for the flexural resistance in the subsequent cycle. It is worth mentioning that
this type of cyclic resporescan be obtained in practice by adding bolts connecting the
brackets of the pallet beam to the upright [32]. However, this reflects an additional cost that

may not be accepted by manufactures and owners;
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$§ the second model, which in the followingidentified as ACP, is the typical Pivatodel
[47] already used in a numerical study on racks [MW&}e it has been applied in a simplified
way to take into account of the stiffness degradation in the loading phase. In addition to the
knowledge of the mastonic M-F joint curve, the values ai* anda’, both assumed equal
to 1.5, are required. The intersection between the horizontal liredat anda M with
the initial stiffness straight lingglentify the P and P pointerpoints, respectively, thara
used to define the slope of the unloading branchéer Ahe first halfcycle for hogging
moments (OAB), the unloading phase is represented by the BC line, defined by points B and
P* until the bending moment reduces to zero (point C) and then is &alldy a slippage
branch(CO). Similarly, in the case of sagging moments, initially the elastic (OD) and plastic
(DE) loading branches are based on the monotonic response. Unloading (branch EF) is
along the EPline until zero moment (point F), followed by slippage to the origin (branch
FO). As to the subsequent halfcle, the hogging reloading branch is characterized by a
reduced stiffness that is based on the last point reached in the previous hoggoyglésif
and in correspondence with the bending moment value previously reached (point B).
Reloading is then along the line BG, where in this case G in fact lies on the softening
branch. Unloading is represented by the branch from G to H (along the lindaB&ved
by slippage until the origin (HO).
As to the fatigue resistance, a value etK= 1& rad® has been assumed to characterize the cyclic
performance of the beato-column joints. It is worth noting that this value is based on the
Aut hor s daneis qoresidered aceeptable given that the aim of the present section is to show

the general procedure. It should not be used as a reference value for everyday practice.

Figure 9. Cyclic response according to the type EPK (a) and ACP (b) joint model.

For the seismic nehnear analyses, two different locations in Italy have been considered where
earthquakes recently occurred. The two locations Mextua (2012Lombardy, ground type D,

topography <c¢class T2 and RBuwzo0gouhd tgpe C,aapagraphyd A q u
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class T2 and PGA=00g). In both locations the aforementioned earthquakes resulted in loss of life
and significant economic losses. Elastic spectra have been defined in accordance with the Italian
code for structural building design (NTC2008 [49]). Starting from the elasitrsin of the sites,
a synthetic ground motion spectrecompatible earthquake ideen generated and used as input
for the NLTH analysis, assuming thaikesa period of 20s ftax = 20s). The weltknown program
SIMQKE [50] can be efficientlyusedto generte groups of stationary artificial record such as they
fit the target spectrunDespite the code requirements related to the number of acclerograms, in the
following reference is made to one accelerogram, being the scope of the paper the discussion of the
proposed procedurekigure 10 shows theused accelerogram, which fully satisfies the ECS8
requirements on the limit associated with the difference in terms oftpealley variability, for
each considered seismic zone
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Figure 10.Elastic spectrum afhe considered earthquakes [28]

The NLTH analyses have been carried out by means of a commerciihean FE analysis
package $AP2000v.17 [51]) and the members have been assumed to have a linear elastic response.
As to the seismic design load, theualbf gravity load simulating the effects of the pallet units was
assumed equal ¥seis= 3.50 N/mmdistributed on each pallet beam, corresponding approximately

to 70% of the static load carrying capacity. It is worth noting that the gravity load has a strong
influence on the dynamic response of rack frame, but a complete parametric analysis on its
influence is beyond the scope of this numerical example.

4.2 Analysis results

For the first part of this investigation the Safety Index for each member has been evaluated for the

entire duration of each ground motion. The results for the critical uprighthianen in figure 11. In
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particular, the effects of the two considered earthquakes can be directly compared, along with a
comparison of the adopted cyclic joint models.
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Figure 11. Safety Index of the most highly stressed member dleiegrthquaks.

It can be noted that the maximum Sl is never greater than unity. This shows that the rack is able to
resist to both earthquakes, independent of the cyclic joint model considered. In the case of the
LOAqui |l a ear t hqg uankidered vertical loadasiclaose to thé makimuen permissible
load for the considered earthquake, with SI=0A8 to theMantuaearthquake, the value of the
maximum Sl is slightly lower. This means that the vertical load could be increased; however, only a
moderate (approximately 10%) increase can be achieved, despite the design intéviaityuat

being significantly less. Furthermore, figure 11 makes reference to an internal upright located in the
first span. This upright can however be considered remiasee of all other internal columns at the

same storage level. As to the pallet beams, for the most severe earthquake results in maximum Sl
values of 0.92 and 0.95 for the EPK and ACP models, respectively, which are related to an external
beam at the send storage level. In case of tMantuaearthquake the corresponding values are
0.78 and 0.81.

Attention has then been focused on the damage accumulation process and as an example figure 12
presents the trend of the damage, expressed in percentagevegsus,duration of ground shaking.

It is worth mentioning that in the following, for the sake of simplicity, the data refer to the
18



components on the front dovaisle side, but are practically always equal to the corresponding
components of the back sidEhe most damaged joint in each storage level always corresponds to
an external upright: solid and dashed lines are related to the EPK and ACP models, respectively.
The first parts of the earthquakes (up to 3s) do not cause any relevant damage to thEhpints
greatest plastic excursions in the joints occur in the rangelé$,3as can observed from the slope

of the Dt curves. Furthermore, it can be noted that the darappgeaisedvia the ACP model is
slightly less than for the EPK model.
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Figure 12. Accumulation of damage (%) during the considered earthquaks.

Figure 13 presents the values of the total damage on the whole structure after earthquake. It can be
noted, independent of the approach used to model the cyclic joint resihaise,
1 the damage index is maximum at the second storage level and decreases towards the top,
where it is practically equal to zero;
i joints to external uprights are always more highly damaged than the joints of internal
uprights. For each pallet beam, tfemage indices at the joints have significant differences
due to the presence of hogging moments associated with gravity loads;
91 the damage indices of joints connecting to internal pallet beams are quite similar within a
given level;
1 the joint model influeoes the value of the accumulated damage. D values associated with
the ACP model are lower than those for the EPK model.
Furthermore, from an overall view of the data it is confirmed that the ACP joint model leads to
slightly larger values of the accumwddtdamage inde®. with the maximum differences being up
to 40% and 20% fMantuatalthguakes) vespeciivélya Tha valdes of the damage
index associated with the NLTH analysis are of great interest for practical design purposes and

hence tky have been are summarized, with reference to all the joints of the rack (i.e. on the front
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and back dowsaisle plane), in table 1. For each design case, the damage index value, in terms of

mean value for each storage level and mean value for the aaeiglis presented.

Figure 13.Damage index distribution (in percentage).

An analysis of the different effecthie to the considered ground motiam®ws that,n the case of

the Mantuaearthquake the accumulated damage can be considered negligible for practical design
e a r -ndylgibleavialee atl thee setand t o
storage level (D>20%) with both joint models and at the third storageel (D~5%) with thesole

ACP model.

purposes. On the othkeandt he L6 Aqui | a

Table 1. Mean damage index in percentage for each storage level and

overall rack.
Earthquake| Joint model| | level | Il level |1l level [ IV level| mean
LoAquU EPK 4.80 19.64 | 5.21 1.09 7.68
ACP 7.50 2057 | 15.21 | 1.60 11.22
Mantua EPK 3.14 3.39 1.49 0.89 2.08
ACP 4.03 4.23 1.59 0.95 2.53

4.3 Assessment of the rack performance

The last aspect of paramount importance is related to the safe usage of the racks after the
earthquake, i.e. how to account for the effects of strength (EPK model) and strength and stiffness
(ACP model) reduction. For the EPK model, figure 13 can be ceresidwhich presents the typical

cyclic response associated with the considered earthquakes. It is worth mentioning that only for a
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