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Abstract

This paper addresses the seismic retrofitting of masonry churches with timber roofs by
designing a ductile roof diaphragm with a new energy-based methodology. The proposed
approach relies on nonlinear dynamic analyses conducted on an equivalent structural
model. In this model, masonry nonlinearity is represented by rotational plastic hinges at
the base of the equivalent wall elements. Roof system nonlinearity is modeled by shear plas-
tic hinges simulating the energy dissipation of steel connections. In the equivalent model,
the earthquake is implemented using a set of spectrum-compatible accelerograms. The
dynamic response of the aforementioned plastic hinges is analyzed in terms of equivalent
damping during the seismic events by extracting the relevant hysteresis cycles. This allows
for the evaluation of both dissipated and strain energy. The estimation of the equivalent
damping ratio provided by the roof diaphragm is based on multiple design configurations.
After identifying the maximum achievable damping ratio, the study suggests ways to
determine the corresponding roof stiffness, which defines the optimal retrofit configura-
tion. This configuration is then implemented in a three-dimensional model that includes
nonlinear properties for both masonry and connection elements, allowing a validation of
the seismic response obtained from the initial equivalent model with a more complex and
detailed model. Finally, a seismic response comparison is conducted between the optimized
dissipated energy configuration, based on damping ratio evaluation, and an overstrength
design variant determined considering the elastic behavior of the roof connections.

Keywords: historical buildings; churches retrofit; equivalent damping; seismic
vulnerability; nave transversal response; energy dissipation; seismic retrofitting

1. Introduction
The seismic vulnerability of historic masonry churches with single-nave configurations

and timber roof systems has been repeatedly demonstrated by earthquakes throughout the
years. This kind of construction is widely present all over the world, especially in Europe.
The vulnerability under the seismic action can be primarily attributed to overturning
mechanisms of the perimeter walls in the nave transversal response [1–3]. Out-of-plane
mechanisms lead to the loss of support for the roof beams, and excessive rocking induces
compressive or tensile stresses that exceed the mechanical capacity of the masonry [4,5].
The high seismic vulnerability of single-nave historical churches can be attributed to
an insufficient energy dissipation of the roof diaphragm and an inadequate system of
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connections between the structural macro-components (i.e., walls, façade, and roof) [6,7].
Moreover, the very frequent slenderness of perimeter walls can be associated with the
lack of transverse connection, and in some cases, poor masonry quality can lead to the
collapse of upper portions of the walls and subsequent roof failure [8]. Even when seismic-
resistant elements are present in the transverse direction (e.g., triumphal arches, wooden
trusses, steel ties), in-plane shear failure may occur in the façade or arches if the roof
structure is unable to dissipate inertial forces through the steel connections between timber
elements [9,10].

Therefore, the role of a dissipative roof diaphragm is crucial in limiting the rocking of
the perimeter walls and maintaining the shear forces within safe limits, particularly those
transmitted to the façade [11]. To achieve global box-like behavior and maximize energy
dissipation, this study proposes an energy-based retrofit methodology for masonry churches
with timber roofs, focusing on the design of a ductile roof diaphragm that can dissipate
seismic energy [12]. In conventional modeling approaches, the roof system is represented by
beam-type elements for trusses and plate-type elements for decking panels or other timber-
based solutions (e.g., phenolic panels, CLT, double-layered decking) [13–15]. This strategy
usually omits the explicit modeling of connections. As a result, under transverse seismic
loading, the connections are designed to resist in-plane shear forces derived from the plate
elements of the roof [16]. However, the absence of nonlinear connections in the model
prevents the evaluation of their energy dissipation capacity. Including this contribution
can reduce in-plane shear forces on the panels, allowing for thinner panels. It can also
enable an optimized design of the retrofitting intervention in which the connection system
dissipates energy through a different mechanism than the original configuration [17,18].

This energy-based approach avoids overly stiff solutions that rely solely on over-
strength. Such solutions may reduce displacement, but they increase in-plane shear forces
within the roof. They also increase the shear demand on seismic-resistant elements aligned
in the transverse direction (e.g., triumphal arches, façades, and walls), which raises the risk
of their in-plane collapse [19].

This paper aims to identify a panel-to-panel connection configuration of the retrofitted
roof that optimizes the seismic response of a typical one-nave historical church by maxi-
mizing the damping effect provided by the connections [20]. Nonlinear dynamic analyses
are performed on an equivalent structural model using mono-dimensional finite elements
for both walls and roof. Masonry behavior is modeled with rotational plastic hinges, while
the timber roof system includes shear plastic hinges simulating the hysteretic response of
the steel connections [21]. Spectrum-compatible accelerograms are used to simulate seismic
input, and the dynamic response is evaluated in terms of equivalent damping ratio (EDR)
derived from hysteresis cycles of the inelastic hinges [21,22]. This allows quantification
of the dissipated and strain energy and estimation of damping ratios for different retrofit
configurations, in accordance with ATC-40 [21] and FEMA 356 [22].

After selecting the technological solution of inclined timber panels positioned over
the existing planks, the optimal connection configuration is defined by the maximum
achievable damping. The equivalent finite element model (FEM) allows the simulation
of different connection layouts, as the transverse response of the nave is governed by a
hysteretic variable (βHYS) that combines the yielding strength of roof connections and
masonry walls [23–28]. As βHYS varies, roof stiffness changes as well, and different seismic
responses occur. Each nonlinear dynamic analysis yields a potential retrofit solution. The
optimal βHYS maximizes EDR, limits transverse displacement to prevent out-of-plane
mechanisms, and keeps stresses within the strength limits of the considered timber and
masonry materials [29,30].
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For a case study, possible retrofitting interventions can be tested through nonlinear
dynamic analyses performed on the equivalent FEM. The configuration that maximizes
the equivalent damping ratio is then selected and implemented in a three-dimensional
nonlinear model, which incorporates detailed material behavior for both masonry and
connection elements [23]. This allows for a direct comparison with the conventional
overstrength-based design strategy, providing a clearer evaluation of the advantages offered
by a retrofit approach based on connection ductility rather than resistance [21,22].

In summary, Section 2 explains the criteria for implementing the equivalent FEM to
simulate nonlinear dynamic analyses and obtain the response of inelastic hinges during
seismic events. Section 3 presents the time history method developed to evaluate the
equivalent damping ratio for various retrofitted roof diaphragm configurations, identifying
the one corresponding to the maximum EDR. Section 3 details the equations used to
evaluate the stiffness of the ductile roof diaphragm at maximum EDR. Section 4 illustrates
a case study in which the optimized configuration of connections and timber-based panels
is applied to prevent out-of-plane wall mechanisms and maintain stress levels within the
mechanical limits of the materials.

2. Simulation of the Ductile Roof Diaphragm’s Role
The seismic response of a single-nave masonry church with a timber roof structure

under a transverse earthquake depends on the behavior of both the walls and the roof
system. The involved parts of the structure can be classified as macro-elements, specifically
the façade, the head wall, the bays, and the roof. Each bay consists of two lateral wall
portions, their connecting truss or arch, and the tributary part of the roof [31].

These bay elements form a seismic-resistant system oriented in the transverse direction.
In the following, this generic “bay system” will be referred to as the “frame”. Similarly, the
façade and the head wall also act as seismic-resistant systems under transverse excitation,
but they exhibit greater inertia and stiffness compared to the frames.

A frame system without a ductile roof diaphragm is susceptible to uncontrolled rock-
ing, since the original roof cannot provide a box-behavior response or dissipate energy [32].
Therefore, the response of a generic frame can be represented by a linear elastic diagram.
This diagram shows the yielding force (Fframe,y)—corresponding to the point at which the
masonry exits the elastic domain—and its associated displacement (δframe). Their ratio
defines the stiffness of the generic frame (Kframe).

In the equivalent FEM, the capacity of the vertical elements corresponding to the
perimeter walls is determined by the evaluation of Fframe,y depending on the geometry and
the vertical loads due to the roof, perimeter walls, and abutment (Figure 1). Under the
seismic action, the stabilizing moments of the two walls (left and right walls pertaining
to a frame) must sustain the overturning moment due to Fframe,y. Therefore, the stabiliz-
ing moments can be obtained starting from Equations (1)–(3) and referring to Figure 1,
where Nv is the load transferred from the roof and Np is the self-weight of the wall with
the abutment.

To improve the church’s seismic response, a dissipative roof system can be proposed,
consisting of timber-based panels (inclined according to the roof slopes) connected by
steel connectors capable of dissipating energy (i.e., panel-to-panel connections). Under
transverse seismic loading, these connections can exhibit a cyclic behavior. The energy
dissipated during a given cycle is represented by the area enclosed within each hysteresis
loop. Accordingly, the cyclic response of the roof is characterized by a yielding force and
its associated displacement, denoted as Froof,y and δroof,y, respectively, whose ratio defines
the stiffness of the connection [32,33].



Appl. Sci. 2025, 15, 12705 4 of 22

Figure 1. Geometry and loads to be considered for Fframe,y in case of perimeter walls with abutments.

The stiffness of the connector used in the connections can be determined either from
experimental tests or from code provisions [34]. The stiffness, yielding force, and yielding
displacement change when the geometric characteristics of the connection (e.g., connector
diameter, spacing, presence of metal cover plates, etc.) are modified. Given the cyclic
nature of the connection response, an ultimate force and displacement can also be defined,
denoted as Froof,u and δroof,u.

By combining the response of the generic frame with the dissipative roof, the elastic
bilinear behavior of the generic frame is coupled with the elastic-plastic response of the
roof system. In this way, the seismic response of the retrofitted church can be represented
by a flag-shaped diagram [32], whose enclosed area corresponds to the energy dissipated
by a frame during the seismic event as shown in Figure 2.

Figure 2. Representation of the nave transversal response; on the (left): the dissipative effect of
the roof diaphragm; (center): the uncontrolled rocking of the walls; on the (right): the flag-shaped
diagram of the ductile transverse frame.

The geometry of the flag-shaped diagram depends on a dimensionless hysteretic
variable denoted as βHYS, which varies within the range 0 < βHYS < 1.50. The optimal
value of this variable cannot be defined a priori, as increasing βHYS inhibits the re-centering
capacity of the frame in the damped rocking [32]. Moreover, excessive values of βHYS

beyond the limit of 1.5 may result in over-strengthened and overly stiff solutions [31].
The hysteretic variable correlates the mechanical characteristics of the retrofitted roof

with the inelastic properties of the masonry walls (4). Knowing Fframe,y from the properties
of the lateral walls, Froof,y can be evaluated for different values of βHYS by using Equation (5).
Furthermore, Equation (6) describes the roof stiffness kroof as a function of βHYS.

To optimize the dissipative roof system, it is necessary to determine when the roof and
its connections begin to dissipate energy with respect to the behavior of the masonry walls.
Ideally, both the masonry and the roof should exit their elastic domains simultaneously,
reaching their respective yielding points at the same time. For this purpose, a parameter
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∆ is introduced in Equation (7). When ∆ = 1, this condition is satisfied. If ∆ << 1, the
connections would activate prematurely, when the masonry has not yet begun rocking,
resulting in ineffective energy dissipation. Conversely, if ∆ >> 1, the masonry reaches
its yielding force before the connections begin to dissipate, which may lead to excessive
displacements in the lateral walls. Therefore, from a design perspective, it is recommended
to target the condition ∆ = 1 or at least remain lower and very close to this value.

With reference to the following, in summary: (i) Figure 1 and Equations (1)–(3) describe
the force equilibrium to be considered in order to calculate the yielding strength of the
lateral walls subjected to transverse seismic action; (ii) Equations (4)–(8) describe the
relationship between the response of the lateral masonry walls and the damping behavior
of the roof under transverse seismic loading.

Mrib = Ff rame,y·hw = Msw1 + Msw2 (1)

Msw1 = Np·lp + Nv·lv (2)

Msw2 = Nv·(la − lb) + Np·lp (3)

βHYS = 2
Froo f ,y

Ff rame,y
(4)

Froo f ,y =

(
Ff rame,y·βHYS

)
2

(5)

kroo f ,y = k f rame,y·
βHYS·δ f rame,y

2·δroo f ,y
(6)

∆ =
δroo f ,y

δ f rame,y
(7)

kroo f =
βHYS·k f rame

2·∆ (8)

To simulate possible retrofitted configurations without an excessive computational
effort, a numerical approach based on an equivalent finite element model is adopted.
Equivalent FEM (Figure 3) represents the macro-members of the structure involved in
the nave transversal response [35]. It is implemented with equivalent mono-dimensional
elements representing the walls and the roof in terms of geometry, inertia, and masses. The
vertical elements represent the distribution of stiffness and masses of the masonry walls;
the horizontal elements represent the structural behavior of the roof’s panels (the wooden
trusses are considered in the FEM only in terms of distributed loads). The self-weight
of the equivalent FEM corresponds to the real structure. The masses and inertias of the
masonry elements correspond to their actual values, thanks to the detailed knowledge
of the in-situ geometries [35]. Earthquake loads are considered through a set of seven
spectrum-compatible accelerograms perpendicularly oriented with respect to the nave’s
longitudinal axis [36,37].

Considering that the most common failure mechanism of a church under transverse
earthquake loads involves rocking of the perimeter walls, the equivalent FEM assumes that
rotational inelastic hinges will be activated at the base of the equivalent vertical members
during the ground shaking. The inelastic behavior of the masonry walls is modeled by
rotational inelastic hinges located at the base of the vertical equivalent elements, except for
the façade and the head wall, which are implemented as elastic elements due to their high
in-plane strength and stiffness [35]. These rotational inelastic hinges are described in terms
of moment-rotation (M-φ) diagrams. All of the vertical elements are perfectly restrained at
the base. At the same time, the elements of the roof structure are also stressed by the ground
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shaking, possibly beyond their elastic range. In this work, it is assumed that connections
will be plasticized before wood panels, leading to a more ductile behavior of the retrofitted
roof. To account for this behavior, the inelastic properties of the potential retrofitted
configuration of the roof diaphragm are represented by in-plane shear hinges located in the
middle of each horizontal equivalent element and described by shear-deformation (V-η)
diagrams. In the equivalent FEM, the inelastic hinges of the roof could be described by the
stiffness-degrading hysteretic model [38,39].

Figure 3. Case study: representation of the equivalent frame FEM.

Finally, the elements representing the roof and the walls are connected by hinges
located at the top end of the vertical elements. The wood roof diaphragm is also pinned to
the head wall and façade. Under seismic action, the rocking trigger of the walls is allowed
by releasing the bending moment transferred to the roof. At the same time, the roof behaves
as a deformable diaphragm. If the stiffness of the roof is opportunely calibrated, the roof
diaphragm works as a damper placed on top of the church [35] because the rocking of the
walls is controlled, the top transverse displacements are limited within a safety range (the
limit value of the horizontal displacement is usually fixed as hw < 0.05%, where hw is the
perimeter walls’ height [31,35]), and the in-plane shear forces on the roof’s panels, the head
wall, and the façade are also limited (compared to their capacity).

3. Energy-Based Method for the Optimum Ductile Diaphragm
The time history of the maximum displacement of the roof (i.e., the central node

of the roof in the equivalent FEM model) can be determined by performing nonlinear
dynamic analyses on the equivalent FEM, for each accelerogram and for different values of
the hysteretic variable. Each response is characterized by several cycles (Figure 4a), each
one defined by an initial and final time instant, respectively named t0 and tf. Each cycle
contains a maximum positive transverse displacement and a maximum negative transverse
displacement (t0 and tf identify the zero displacement points). During each cycle, the
inelastic hinge of the roof responsible for the energy dissipation can exhibit elastic-plastic
behavior in t0 − tf. If no energy is dissipated (in t0 − tf), the response of the hinge remains
linear (Figure 4b). Similarly, the inelastic hinges located at the base of the frames also
exhibit a nonlinear elastic response within the same cycle [31].

By dividing the overall structural response into a finite number (n) of cycles, the EDR
can be computed for each cycle through Equation (9), where i represents the i-th cycle
(for i = 1 − n) extracted from the time history displacement response of the structure,
ED,i is the energy dissipated by the inelastic hinge in the hysteresis loop of the i-th cycle,
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and ES0,i is the strain energy of the inelastic hinge in the i-th cycle. Clearly, since the
nonlinear properties of the frames are represented by elastic bilinear diagrams, the inelastic
hinges of the frames contribute only in terms of ES0,i. Equation (9) and Figure 5 are based
on [21,22,40], where 5% represents the inherent damping of the structure [41–44].

EDR = 5% +
1

4π
· ∑n

i=1 ED,i

∑n
i=1 ES0,i

(9)

Figure 4. Response of the inelastic hinges in a generic cycle for the evaluation of EDR: (a) on the left:
displacements of the central part of the roof for the seven accelerograms; on the right: an example of
a cycle extracted from the time history response—(b) examples of force-deformation cycles extracted
from the time history response: on the left: 20-th cycle for accelerogram number 1 for an inelastic
hinge of the roof; on the right: 20-th cycle for accelerogram number 1 for an inelastic hinge of
the walls.

Different possible retrofitted configurations can be tested by varying βHYS. Thus, for
each roof configuration, the overall EDR can be evaluated. Then, the optimal retrofitting
configuration can be selected by maximizing the EDR, ensuring that displacements remain
below their limit value (0.005hw) and the in-plane shear on the façade remains compatible
with the masonry’s capacity. The optimum solution identifies the optimal value of the
hysteretic variable βHYS-opt.

For detecting the optimal βHYS-opt, nonlinear dynamic analyses were performed using
Midas Gen 2025 v 1.1 software [45] within the range 0 ≤ βHYS ≤ 1.50. A dedicated MATLAB
R.2025a [46] routine was developed by the authors to extract the Midas Gen’s results—in
terms of displacements and inelastic hinges responses—and to automatically evaluate EDR
for each cycle and for the overall structure. In this way, EDR is plotted as a function of
βHYS, allowing the identification of the βHYS-opt.
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Figure 5. Graphical representation of the energies considered in the EDR evaluation according to
ATC-40 and FEMA 356. Note: the shaded blue area represents the dissipated energy, while the
shaded grey area represents the strained energy. Regarding the spectrum: the solid line indicates the
spectrum for 5% inherent damping; the dashed line represents the scaled spectrum also considering
the contribution of the damping and strain energies.

The following set of Equations (10)–(14) provides all the necessary elements for eval-
uating the equivalent stiffness of the roof. Given the known mechanical and geometric
properties of the panels and connections as well as the geometric characteristics of the
church, it is possible to calculate the equivalent stiffness of the retrofitted dissipative roof
solution as a function of a single parameter, such as the number of connection stripes
per bay.

For the βHYS-opt value of the hysteretic variable, the corresponding stiffness of the
optimized ductile roof diaphragm retrofitted configuration [32,33] can be evaluated using
Equation (10), where kdf is the bending stiffness, kdt is the shear stiffness, E∗

w is the equiva-
lent elastic modulus evaluated using Equation (11), G∗

w is the equivalent shear modulus
evaluated using Equation (12), J∗id is the ideal inertia moment of the section evaluated
using Equation (13), and A* is the shear equivalent area given using Equation (14). In
Equations (11)–(14), the contribution of both the steel connections and the wooden based
panels are present. In fact, nws is the homogenization coefficient of the steel-to-wooden
diaphragm connection given by nws = Es/E∗

w (where Es is the steel elastic modulus), L is the
distance between the seismic-resistant elements (spacing between frames), Ly is the width
of the roof, i is the spacing of the connectors, kn is the stiffness of a single connector, tw is
the thickness of the wooden panels, χ = 6/5(cos2α) is the shear factor of the cross-section
(χ = 1.2 for rectangular sections), Aw is the cross-section area of the roof diaphragm, nn

is the number of connectors for each connection stripe (ratio between the spacing of the
seismic elements and the spacing of the connectors), ns is the number of the connection
stripes for each span, and As is the cross-section area of the steel stripes covering the heads
of the connectors in the panel-to-panel connection.

kroo f−opt =

(
1

kd f
+

1
kdt

)−1

=

(
5
6

L3

E∗
w Jid

+
XL

G∗
w A∗

)−1

(10)

E∗
w(nn, ns) =

Lkn
ns

2
tw Ly
cosα
nn

+
kn

L
ns

Ew

(11)

G∗
w(nn, ns) =

Lkn
ns

2
tw Ly
cosα
nn

+
kn

L
ns

Gw

(12)
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J∗id(nn, ns) =
twL3

y

12cosα
+ nws ·

[
2As

(
Ly

2

)2
]

(13)

A∗ =
Aw

X
=

tw Ly
cosα

6
5cos2α

(14)

Based on the considerations outlined in this Section 3 and considering Equations (1)–(14),
the procedure to identify the roof diaphragm configuration that maximizes EDR can be
summarized as follows. The yielding forces of the walls Fframe,y are calculated using
Equations (1)–(3), knowing the geometry and mechanical properties of the masonry ele-
ments. By varying βHYS, Froof,y is evaluated with Equation (5), and the roof’s stiffness kroof

can be expressed in terms of βHYS with Equation (6). Keeping ∆ = 1 in Equation (7), the
value of the roof’s stiffness kroof is determined with Equation (8).

By performing nonlinear dynamic analyses for different values of the hysteretic vari-
able, the cyclic responses of both the roof and the frames’ plastic hinges are obtained from
the equivalent FEM. Using Equation (9), a dedicated MATLAB routine extracts the results
from the FEM’s outputs and computes the EDR of the structure, which is then plotted as a
function of βHYS. The optimal value of the hysteretic variable βHYS-opt is identified at the
point corresponding to the maximum EDR. For EDR evaluation, βHYS values greater than
1.5 can be excluded because they typically result in an overly stiff and over-strengthened
roof structure.

Once the βHYS-opt value is determined, the type of panel, the type of connector, and
the geometry of the steel stripes can be selected. The only unknown remaining is the
number of connection stripes per bay, named nn, which can be derived by combining
Equations (10)–(14), as all of the other involved parameters are known.

An application of this procedure is presented in Section 4, where an elastic-plastic
panel-to-panel connection is optimized to control the drift and limit the in-plane shear on
the roof. Thus, the optimization goal is to keep both the wood panels and the connectors
within the elastic domain, allowing energy dissipation to occur primarily through the
steel stripes.

4. Case Study
4.1. Description

The one-nave church analyzed in this paper has a 22 × 7.50 m rectangular plan, 70 cm
thickness façade, and 60 cm thickness head wall. The thickness of the perimeter walls is
40 cm, but abutments with 80 cm thickness are located along the perimeter walls with a
spacing of 5.5 m, so the church has four bays 5.5 m in width. Four 1.60 × 1.50 m openings
are present on each perimeter wall; the walls are 7.50 m in height. The original roof structure
is realized with hardwood trusses: horizontal tie beams and inclined rafters of 18 × 18 cm
cross section, struts with a 14 × 18 cm cross section, a king post with an 18 × 18 cm cross
section, joists with a 16 × 18 cm cross section, and 2.5 cm thick planks. The masonry of
the walls has a Young’s modulus of E = 1100 MPa and a density of ρ = 18 kN/m3. The
hardwood elements have a Young’s modulus parallel to the fibers of E0,mean = 10,000 MPa,
shear modulus Gmean = 630 MPa, tensile strength parallel to the fibers ft,0,k = 18 MPa, and a
density ρw = 5.00 kN/m3.

Initially, a 3D FEM of the church is implemented with linear behavior of the materials
and without the presence of the roof’s nails. The earthquake is described with its elastic
spectrum, according to the Italian design code [47], as a function of the following site-
specific parameters: peak ground acceleration PGA = 0.12 g, return period TR = 475 years,
constant acceleration-velocity transition period T*

c = 0.297 s, horizontal amplification factor
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Fo = 2.62, and vertical amplification factor Fv = 1.16. The 3D FEM of the church is shown in
Figure 6.

Figure 6. Case study: (a) 3D view; (b) on the left: wooden trusses; on the right: particular of the
perimeter walls with the abutments and the openings.

4.2. Design Configuration from EDR

Starting from the design target behavior, the equivalent FEM is implemented following
the rules explained in Section 2, and possible ductile roof diaphragm solutions are tested by
varying βHYS in the 0–1.8 range (also investigating an over-stiff condition when βHYS = 1.8)
and considering seven spectrum-compatible accelerograms as seismic input. The results
obtained from the equivalent FEM are averaged over the considered accelerograms to obtain
the average value of each design parameter. By assuming ∆ = 1, the properties of the roof’s
inelastic hinges can be defined as a function of the hysteretic variable βHYS. Consequently,
six possible configurations of the roof are analyzed. Table 1 reports the parameters of the
inelastic hinges adopted for the roof and walls in the nonlinear analyses of the equivalent
FEM. In Table 1, points P1-D1 and P2-D2 respectively represent the yielding and ultimate
points for the inelastic hinges characterized by the stiffness-degrading model (Clough
hysteretic model) [38,48]. P1 and P2 are the yielding and the ultimate force of the roof’s
inelastic hinges, respectively, and D1 and D2 are the dimensionless drifts due to the mutual
distance between the frames.

Table 1. Properties of the inelastic hinges for the Clough model used in the equivalent FEM.

βHYS P1 [kN] P2 [kN] D1 [/] D2 [/] Mframe,y = Mframe,u
[kNm]

Rframe,y
[rad]

Rframe,u
[rad]

0.30 8.08 10.10 0.001794 0.008971 403.879 0.000239 0.00239
0.60 16.16 23.08 0.001794 0.008971 403.879 0.000239 0.00239
0.90 24.23 30.29 0.001794 0.008971 403.879 0.000239 0.00239
1.20 32.31 40.39 0.001794 0.008971 403.879 0.000239 0.00239
1.50 40.39 50.48 0.001794 0.008971 403.879 0.000239 0.00239
1.80 48.47 60.58 0.001794 0.008971 403.879 0.000239 0.00239
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The EDR is evaluated for different values of the hysteretic variable by detecting the
cyclic responses of the inelastic hinges of the roof and the corresponding elastic strain
energies. Furthermore, the elastic strain energies of the bilinear rotational hinges at the
base of the frame are also evaluated. Figure 7 shows the variations in the EDR and
displacement ratio (defined as the ratio between the transverse displacements and the target
displacement) as a function of the hysteretic variable. The corresponding values obtained
from the nonlinear dynamic analyses for the seven spectrum-compatible accelerograms are
listed in Table 2.

 
(a) (b) 

0.3

0.5

0.7

0.9

1.1

1.3

1.5

0 0.2 0.4 0.6 0.8 1 1.2 1.4 1.6 1.8 2D
is

pl
ac

em
en

t R
at

io
, D

R
 [/

] 

Hysteretic variable,  βHYS

0.08

0.09

0.1

0.11

0.12

0.13

0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 1.6 1.8 2.0

Eq
ui

va
le

nt
 D

am
pi

ng
 

R
at

io
, E

D
R

 [%
]  

Hysteretic variable, βHYS

Figure 7. Averaged transverse displacements (a) where the green line is the variation of the Dis-
placement Ratio and the red line represents the target value; EDR (b) as a function of the hysteretic
variable (for the seven selected accelerograms).

Table 2. Transverse displacements and EDR values for different values of the hysteretic variable (for
the seven selected accelerograms).

Hysteretic Variable

0.3 0.6 0.9 1.2 1.5 1.8

Acc. Displacement [m]

1 0.053 0.044 0.040 0.036 0.034 0.032
2 0.058 0.047 0.042 0.042 0.041 0.038
3 0.048 0.044 0.038 0.031 0.028 0.028
4 0.044 0.036 0.034 0.033 0.030 0.031
5 0.053 0.043 0.040 0.037 0.035 0.032
6 0.047 0.048 0.044 0.041 0.037 0.033
7 0.047 0.044 0.043 0.034 0.034 0.033

average 0.050 0.043 0.040 0.036 0.034 0.033
displ. ratio 1.334 1.159 1.063 0.967 0.912 0.871

Hysteretic Variable

0.3 0.6 0.9 1.2 1.5 1.8

Acc. EDR [%]

1 0.109 0.106 0.056 0.127 0.124 0.125
2 0.110 0.110 0.128 0.127 0.123 0.127
3 0.091 0.103 0.120 0.116 0.119 0.115
4 0.100 0.102 0.118 0.117 0.113 0.109
5 0.090 0.098 0.116 0.113 0.113 0.111
6 0.105 0.113 0.123 0.123 0.110 0.107
7 0.097 0.098 0.116 0.117 0.116 0.111

average 0.100 0.104 0.111 0.120 0.117 0.115

From Table 2 and Figure 7, βHYS-opt = 1.2 is detected (maximum of the EDR curve).
Beyond the optimum value, EDR begins to decrease, indicating that the corresponding roof
configuration may become excessively stiff. Furthermore, in terms of displacements, the



Appl. Sci. 2025, 15, 12705 12 of 22

reduction of the displacement ratio is still present also for βHYS-opt = 1.2, but with a lower
slope. However, the transverse displacement is reduced from about 5.0 cm to 3.5 cm for
the yielding of the inelastic hinges. Figure 8 shows the yielding status of the plastic hinges
during the seismic event in the retrofitted configuration, for βHYS-opt = 1.2.

Figure 8. Status of yielding of the inelastic hinges at the end of the accelerogram 1 for the retrofitted
configuration (βHYS-opt = 1.2). Symbol 1 and blue color means that the hinge remains in the elastic
field; Symbol 2 and green color means that the hinge status is in the nonlinear field.

Consequently, the optimum value of the hysteretic variable is adopted for the design
of the roof diaphragm and Equations (10)–(14) are applied to define the configuration of
the panel-to-panel connections, fixing the following criteria: (i) multilayer panels with a
thickness of tw = 2.5 cm are adopted [49]; the panels are characterized by an elastic moduli
Ew = 6790 MPa, a shear modulus Gw = 1090 MPa, a tensile strength parallel to the fibers
fw,0,k = 11 MPa, and a density ρw = 650 kg/m3 (although other typologies of panels, such
as cross-laminated timber CLT, could have been selected depending on the designer’s
choice); (ii) screws diameter ϕ = 8 mm as connectors; (iii) and a steel stripe acting as a cover
connection realized in S275 steel with a cross section of 80 × 5 mm [50–53].

Accordingly, a design shear force per connector of Vn = 1 kN is assumed (the yield
resistance of the connector is about 3 kN), leading to a connector spacing of 23 cm [50].
Consequently, the number of connectors for single steel stripe results in nn = 35. Based on
these parameters and knowing the geometry of the church, it is possible to evaluate E∗

w, G∗
w,

J∗id, and A* (defined in Section 2) as a function of the number of stripes ns distributed on the
bays, referring to a single frame of the equivalent FEM. By varying this ns, different values
of the roof stiffness can be obtained and compared against the optimal target. Figure 9a
and Table 3 present stiffness values corresponding to ns ranging from 4 to 14 in relation
to the commercial side of the selected panel (available from 0.8 m to 2.8 m). The final
configuration adopts eight connection stripes on the two bays (with a total length of 11 m),
which falls within the limits of technological feasibility (as illustrated in Figure 9b) and
yields an optimized configuration with a resulting value of ∆ = 1.01 while ensuring the
simultaneous yielding of both the masonry and the roof system.

As previously stated, the design ensures that both the wooden panels and the con-
nectors remain within the elastic domain, while the steel stripes are intended to dissipate
energy by plastic deformation. It means that, after a strong site earthquake, only the steel
stripes must be replaced (because they are damaged) while the other components of the
roof diaphragm could be kept (without evident damage).
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assuming a target displacement ∆ = 1; (b) Technological feasibility assessment based on roof stiffness
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Table 3. Roof stiffness kroof [kN/m] in relation to βHYS and ∆, considering the available commercial
dimensions of the selected wooden panels.

∆ βHYS

0.3 0.6 0.9 1.2 1.5

0.5 1637 3274 4911 6548 8185
0.75 1091 2182 3274 4365 5456

1 818 1637 2455 3274 4092
1.25 654 1309 1964 2619 3274
1.5 545 1091 1637 2182 2728

kroof,min (n.◦4 stripes) 1827 3233 4344 5260 6030
kroof,max (n.◦14 stripes) 577 1108 1597 2049 2477

As the steel stripe is the primary energy dissipating element, it should be capable
of yielding under the design shear demand. To achieve this behavior, some localized
weakening can be introduced along the stripes so that the stripes can deform plastically
under the connector’s design shear force (in this case assumed as Vn = 1 kN).

Essentially, dissipative behavior is controlled by the weakest component in the connec-
tion system. For this reason, as suggested in [32,33], a viable solution consists of introducing
notches between the axes of the connectors along the stripes. According to the procedure
described in [32,33], these notches could be shaped as shown in Figure 10. The value of
hf is determined from Equation (15), which depends on the properties characterizing the
shear behavior of the connector: Vn, Lf, tf, fyd (here assumed equal to 235 MPa), and the
spacing between the connectors sc [32,33,54,55]. The definition of the dimensions of the
notch depends on the evaluation of the local stiffness. In fact, considering the part of
the stripes where the notches are present, the stiffness of the single connector Kconn can
be evaluated according to [34]. The elastic stiffness Kv

scorr evaluated with Equation (16)
should be lower than Kconn [32,33]. In Equation (16), the yielding relative displacement
ηv

scorr is evaluated considering the ultimate rotation of the short double-cantilever activated
between two notches.

h f = max


h f =

Vn ·
√

3
t f · fyd

h f =

√
2· Vn ·L f

t f · fyd

(15)

Kv
scorr =

Vn

ηv
scorr

(16)
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Figure 10. Local weakening of the steel stripes.

Therefore, with the aim of yielding the weakened steel stripes with notches while
keeping the connectors and panels in the elastic field, the retrofitted configuration provides
2.5 cm thickness phenolic panels, number 8 S235 steel stripes having a cross section of
0.5 × 22 cm for a length of 11 m per bay, ϕ = 8 mm steel connectors every 20 cm. The
notches present on the steel stripes are characterized by the following dimensions: Lf = 50 mm,
tf = 20 mm, Hf = 50 mm and hf = 11 mm.

4.3. Validation by 3D FEM

The improvements due to the dissipative roof structure were also investigated by
implementing 3D models to validate the procedure based on the equivalent FEM analysis
and EDR evaluation. Three different 3D models of the analyzed church were developed:
(A) the initial non-retrofitted configuration, already described in Section 4.1; (B) the
retrofitted configuration designed for the optimal value of the hysteretic variable βHYS-opt;
(C) an over-stiff configuration.

Passing from model A to model B, some modifications of the model are required:
(i) the multilayer panels of the roof have mechanical properties with orthotropic behavior
taken from the technical datasheets of the manufacturer; (ii) the roof panels are modeled
with plate finite elements; (iii) roof connections are modeled as inelastic links with stiffness-
degrading hysteretic behavior [38,48]; (iv) the inelastic properties of these links are derived
from the mechanical characteristics of the steel stripe tributary width. Clearly, the geometry
and the properties of the masonry elements, already defined in Section 4.1, do not change.
Model C is based on the same settings as Model B, but with an over-stiff solution at the
roof level. This configuration is obtained by changing the mechanical properties of the
roof panels and the inelastic properties of the links. Nonlinear history analyses have been
performed for all three models considering seven spectrum-compatible accelerograms, and
the obtained results have been averaged.

In terms of transverse displacement (Figure 11), it is helpful to first compare config-
urations A and B under the load combination, considering dead, live, and seismic loads
according to [47] The transverse displacement in configuration A is 5.5 cm, higher than the
target value assumed as 3.7 cm (equal to 0.5% the perimeter walls’ height), whereas the
transverse displacement in configuration B is 3.5 cm, close to the target value. In configura-
tion C, the displacement decreases to 2.5 cm. However, the displacement reduction from A
to B is about 37%, better than the 25% obtained by passing from B to C.
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Figure 11. Transverse displacements [m]; on the (left): Model A; in the (middle): Model B; on the
(right): Model C. Note: in the non-retrofitted configuration the transparent parts of the walls exceed
the limit value of 3.7 cm.

In terms of in-plane shear actions on the roof panels (Figure 12), comparing the three
models: Configuration A shows about 42 kN/m, a value that exceeds the mechanical resistance
of the original planks (33.3 kN/m for C16 wood class); Configuration B shows 39 kN/m, value
that is compatible with the capacity of this kind of panel (48 kN/m [54–56]); Configuration
C shows values close to 70 kN/m, thus implying an increase in panel thickness and
a variation in the masses involved in the seismic event. Comparing the behavior
of configurations B and C, the activation of the roof’s inelastic hinges occurs in B
(Figure 13), resulting in energy dissipation, limitation of the transverse displacements,
and acceptable values of the in-plane shear action. This kind of behavior also helps
to limit the in-plane shear actions on the façade (Figure 14). In fact, for configuration
B, the shear action on the façade reaches a maximum of about 189 kN/m and around
147 kN/m in the central part between the entrance and the opening. In contrast, in
configuration C, these values increase by 46% and 41%, respectively, reaching 276 kN/m
and 207 kN/m. It is worth noting that the shear resistance of the façade (with 70 cm
thickness, medium quality stone masonry) can be evaluated at about 95 kN/m according
to [47]. Therefore, reinforcement of the masonry is required in both configurations.
However, in retrofitted configuration B, the intervention may be less invasive. It should
also be noted that in the initial condition (Model A without the roof diaphragm), the
in-plane shear demand on the façade was about 120 kN/m, in any case exceeding the
allowable limit.

   

Figure 12. In-plane shear on the roof panels [kN/m]; on the (left): Model A; in the (middle): Model
B; on the (right): Model C.
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Figure 13. Activation status of the roof’s inelastic hinges of the roof (on the (left): model B; on the
(right): model C). Note: blue color means the link remains in the elastic range; green color means the
hinge status is in the plastic field.

  

Figure 14. In-plane shear actions on the façade [kN/m] (on the (left): model B; on the (right): model
C). Note: the white zones of model C represent the parts of the façade where the in-plane shear action
is higher than the maximum value detected in model B.

4.4. Remarks

The nonlinear dynamic analyses performed by equivalent FEM allow the identification
of possible retrofitted panel-to-panel connection configurations with significantly lower
computational effort than a full 3D nonlinear model.

Once the timber panel technology is selected (in this case the phenolic multilayer
panels), the connections’ configuration depends on the constitutive law of the inelastic
shear hinges assigned to the roof elements in the equivalent FEM. The behavior of the
shear hinges is influenced by the rotational hinge properties of the masonry through the
hysteretic variable βHYS.

Using the Matlab procedure, the EDR can be computed and the retrofitted configu-
ration that maximizes EDR can be identified. It should be noted that with this optimized
configuration, the transverse displacement of the church can be reduced without signifi-
cantly increasing the in-plane shear actions on the roof diaphragm.

The EDR graph as a function of the hysteretic variable clearly shows that excessively
high values of βHYS should be avoided, as they lead to overly stiff configurations of the
roof, thereby reducing the effectiveness of energy dissipation.

From Figure 7, the following observations can be made: (i) the maximum EDR value
for the case study is 12%; (ii) beyond βHYS = 1.5, the EDR trend flattens and decreases;
(iii) the maximum EDR occurs at the optimal value βHYS-opt = 1.2; (iv) beyond this optimal
value, the transverse displacement curve tends to flatten.
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Once the optimal hysteretic variable βHYS-opt is identified, the stiffness of the corre-
sponding roof configuration can be calculated starting from the selected timber panel
technology, number and layout of connectors, and dimensions of the steel stripes acting as
cover plates.

When the features of the panels, connections, number, and dimensions of the steel
stripes are known, the design criterion about energy dissipation requires that the steel
stripes and connectors resist in-plane shear at the panel joints. However, to limit the overall
displacement of the church and reduce the in-plane shear actions in the wood panels and
masonry walls, the steel stripes should behave as a dissipative element. Therefore, for
the realization of the roof’s elastic-plastic joints, the steel stripes should yield before the
connectors. To facilitate the yielding of the steel stripes, they should be weakened by
introducing notches between the adjacent rows of connectors.

In the 3D FEM, the steel connections are represented by inelastic springs (with an
elastic-plastic stiffness-degrading hysteresis behavior) reflecting the configuration derived
from the equivalent FEM. The 3D model is analyzed with the same seven spectrum-
compatible accelerograms used for equivalent FEM analyses. It is important to underline
that the computational effort of these analyses is not fully compatible with the typical time
constraints associated with the development of a seismic retrofit project, particularly when
multiple design scenarios need to be evaluated. Thus, the preliminary identification of the
possible optimized configuration by using the equivalent model is suggested.

In the case study, the 3D model confirmed the validity of the connections’ configuration
designed with the equivalent model. It showed that under transverse seismic action,
energy dissipation occurs in the steel stripes close to the façade and head wall, as shown in
Figure 13 (as for the output of the dynamic nonlinear analyses performed by equivalent
FEM). Moreover, the maximum top displacement of the perimeter walls was reduced under
the design limit (Figure 11) and the in-plane shear on the wood panels was compatible
with the mechanical properties of the selected wood panels.

It is important to remark that the in-plane shear in the roof panels of the retrofitted
configuration is higher than the corresponding shear of the initial configuration, where
only the original planks are present (Figure 12). However, the original planks could not
withstand these shear actions, leading to possible in-plane collapse of the planks and
uncontrolled rocking of the walls of the church.

In summary, in the optimized retrofitted configuration, using phenolic wood panels
and suitably weakened steel stripes, the transverse displacements are limited, and even if
the in-plane shear actions increase, the corresponding stresses remain within the mechanical
capacity of the wood panels thanks to the dissipative connections. Consequently, the in-
plane actions on the façade are higher, though still limited, compared to the capacity of
the masonry.

Analyzing the results of the case study, it is evident that equivalent FEM includes
macro-components involved in the transverse nave response, specifically the masonry in
its original condition and the roof in its retrofitted configuration. Nonlinear characteris-
tics of both masonry and connections are modeled using inelastic hinges. The seismic
response of the FEM is both qualitative, as it captures the overall structural behavior, and
quantitative, as the design actions (displacements, shear forces, etc.) show only minor
deviations from those obtained with the full 3D model. While a detailed nonlinear 3D
model remains essential for the as-built design of the roof diaphragm, the equivalent FEM
allows for early and fast optimization of retrofit solutions to be implemented in the time-
consuming 3D analysis for final checks. Further refinement could involve modeling the
masonry with solid elements and assigning different nonlinear constitutive laws based on
laboratory testing.
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Moreover, equivalent FEM enables efficient nonlinear dynamic analyses of dissipative
roof solutions, requiring minimal computational effort. Its flexibility allows for practical
application across various case studies for several different retrofit configurations. However,
implementation constraints may arise if the standard wood panel dimensions do not match
the roof geometry. Consequently, customized configurations could increase costs. Similarly,
an excessive number of connection stripes per bay or connectors per stripe may affect
construction time and economic viability. These aspects can be anticipated and optimized
during the design phase using the equivalent model and checking the equivalent stiffness
of the roof.

As an alternative to phenolic panels, cross-laminated timber (CLT) panels may be
adopted, increasing the diaphragm’s stiffness. This choice leads to higher thickness panels
and weight because the minimum thickness for CLT panels is averagely 6 cm. Consequently,
notable differences should be present in terms of connection requirements and geometry of
the weakening along the panel-to-panel connection stripes. CLT panels offer higher rigidity
and require fewer connections, reducing installation time but increasing the unit cost of
the structure. Phenolic panels, being lighter and more flexible, demand more connection
stripes and connectors. These trade-offs can be anticipated and balanced during the design
phase by checking alternative configurations with the proposed equivalent model.

5. Conclusions
A procedure to optimize roof retrofit intervention with the aim of improving the nave

transverse response of one-nave historical churches is presented. The EDR evaluation
is performed by a Matlab routine that uses the results obtained from dynamic nonlinear
analyses carried out by the implementation of an equivalent FEM, considering the damping
and the maximum strain energies of the inelastic hinges present in the equivalent FEM. The
retrofitted configuration of the roof, designed with the equivalent FEM, is also validated
with a 3D FEM showing the same improvements in terms of reduction of the maximum
transverse displacement and limitation of the stresses on the roof’s wood panels. The
improvement of the structural behavior of the church depends on the energy dissipation
occurring in the elastic-plastic connections of the roof, specifically in the steel stripes of the
panel-to-panel connections. The dimensions of the steel stripes are defined by assuming
that the steel stripes yield when the connectors and the wood panels are still in the elastic
field. Thus, the following remarks can be highlighted:

• The nonlinear dynamic analyses performed with the equivalent model allow for
the identification of optimal panel-to-panel connection configurations, with reduced
computational effort compared to full 3D nonlinear simulations;

• The execution time required for full nonlinear 3D analyses is not fully compatible
with the typical time constraints of seismic retrofit design workflows, especially when
multiple configurations should be tested. Without preliminary investigations using the
equivalent model, the iterative design process would become impractical in real-world
engineering contexts;

• The use of the equivalent model proves essential in the early stages of design, en-
abling rapid screening of alternative connection strategies. This approach significantly
reduces the computational burden and supports informed decision-making before
performing detailed 3D simulations;

• Localized notches between connectors are introduced to reduce the stiffness of the steel
stripes, enabling plastic deformation under the design shear force of the connector. The
number of connection stripes is determined iteratively, balancing seismic performance
and technological feasibility;



Appl. Sci. 2025, 15, 12705 19 of 22

• The full 3D model confirms the effectiveness of the equivalent model, showing dissi-
pation concentrated near the roof ends, reduced mid-span displacement, and in-plane
shear values compatible with the mechanical properties of the selected panels;

• Compared to the initial condition (roof with simple planks), the retrofitted system
increases in-plane shear capacity of the roof while reducing transverse displacement,
preventing uncontrolled rocking and out-of-plane mechanisms of the perimeter walls
of the church. Therefore, the roof works a ductile diaphragm;

• The advantage of the energy-based design approach also lies in a retrofitted configura-
tion able to maximize EDR and avoid over-stiff and overstrength solutions, limiting
the shear transferred from the roof diaphragm to the façade and head wall.
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